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ABSTRACT 
Despite the moderate ground motions observed during the seismic events in Northern Italy, May 2012, 
reinforced concrete (RC) precast industrial buildings suffered excessive damage, which led to substantial 
direct and indirect losses. The aim of this paper is to present a seismic fragility model for Italian RC precast 
buildings, to be used in earthquake loss estimation and seismic risk assessment. An analytical methodology 
has been used that consists of 1) random sampling of one hundred structures for each building typology, 2) 
pushover analysis to establish a number of damage limit states, 3) execution of nonlinear dynamic analysis 
and comparison of the maximum demand with the limit state capacity to allocate the structure in a damage 
state, and 4) regression analysis on the cumulative percentage of buildings in each damage state for a set of 
intensity measure levels to derive the statistical parameters of the fragility functions. The building population 
employed in the analysis was generated considering both material and geometric variability that was 
obtained from the field surveys of 650 industrial facilities, as well as other information available in the 
literature. Several aspects of the fragility derivation process were further analysed, such as the correlation 
between different intensity measure types and damage, the consideration of different collapse mechanisms 
(e.g. beam-column connection failure) and the differences in the resulting fragility curves when adopting a 
2D or a 3D modelling environment. A good agreement with preliminary empirical fragility functions based 
on field data was also observed. 
  
Keywords: seismic fragility, RC precast structures, 2D and 3D modelling, beam-column connection collapse 
 

1 INTRODUCTION 
Seismic fragility is a measure of the likelihood of a building suffering damage for a given severity of ground 
shaking, and it can be mathematically formulated by fragility curves, which describe the probability of 
reaching or exceeding a certain damage limit state for a given intensity of ground motion. Fragility models 
have been developed mostly for residential buildings, and there are few capable of characterising the seismic 
behaviour of reinforced concrete (RC) precast structures, notwithstanding the damage often observed in 
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these structures during moderate earthquakes, and the associated direct and indirect consequences in terms of 
both human casualties, as well as economic losses due to business interruption.  
 
In May 2012, the seismic events in Northern Italy revealed the seismic vulnerability of typical Italian precast 
industrial buildings. These structures are frequently more flexible than traditional reinforced concrete frames 
due to their structural scheme, which is composed of cantilevered columns fixed at the base and a high inter-
storey height. The connections between precast beams and columns, and between roof elements and beams 
should be able to sustain the seismic displacement demand associated with the structure’s high flexibility, 
but are often designed only to transfer horizontal forces by friction or through steel dowels. Figure 1.1 
demonstrates how the use of these connections has led to the loss of support of the structural elements, and 
consequently to their collapse, in the aforementioned recent events. 
 

  
Figure 1.1 Failure due to loss of support of the beam during the May 2012 Emilia-Romagna earthquake in 

Northern Italy [Belleri et al. [1]]. 

 
The poor seismic behaviour of these structures during the May 2012 event in Northern Italy is mainly due to 
the fact that the first seismic design regulation for this typology was introduced in Italy only in 1987 and a 
seismic hazard zonation of the Italian territory that adequately considered the hazard in this part of the 
country was released only in 2004. As a consequence, a large number of structures were designed before the 
enforcement of the more recent seismic regulations, and thus exhibit a number of structural deficiencies 
(Belleri et al. [1]). The aforementioned deficiencies affect strongly the response of precast industrial 
buildings to seismic excitation, as compared to traditional cast-in-place RC structures, and for this reason 
this paper investigates whether the inevitably necessary simplifications in the modelling and methodologies 
used to derive fragility curves still allow the effects of such design deficiencies to be captured. 
 
Several methodologies have been proposed in the recent decades for the derivation of damage-ground 
motion intensity relationships, as summarised by Calvi et al. [2]. These include the statistical treatment of 
damage distributions that have either been observed in post-earthquake surveys (empirical relationships) or 
simulated through structural analyses of numerical models under increasing earthquake intensity (analytical 
relationships). The latter approach allows sensitivity studies to be carried out to evaluate the impact of 
specific aspects, such as inadequate detailing, on the overall structural response. In addition, analytical 
approaches permit the vulnerability assessment of classes of buildings for which reliable statistical damage 
data might not be available. For this reason, an analytical method was used in the seismic fragility study 
presented herein.  
 
One of the main differences between the various analytical methods arises in the procedure used to estimate 
the nonlinear response of the structure for a given ground motion input. The computational efficiency of 
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static analysis with respect to dynamic analysis has triggered the development of many Nonlinear Static 
Procedures, in which the seismic capacity of the structure is usually represented by a capacity curve and the 
seismic demand by an acceleration and/or displacement response spectrum. For example Borzi et al. [3] 
developed a Simplified Pushover-based Earthquake Loss Assessment method (SP-BELA), where the 
nonlinear behaviour of a random population of buildings is defined through a simplified pushover curve, and 
the fragility curves are generated through the comparison between the displacement capacity limits identified 
on the pushover curve and the displacement demand from a response spectrum. Bolognini et al. [4] 
implemented the SP-BELA method for traditional Italian precast constructions, adapting the limit states 
definition and considering the connection failure mechanism in a simplified way that ignored the vertical 
component of the dynamic seismic input. Senel and Kayhan [5] have also derived fragility curves for precast 
industrial buildings also using simplified pushover curves for the definition of the limit states, expressed as a 
function of the chord rotation of the columns. However, in this case, nonlinear dynamic analyses were 
employed to obtain the maximum displacement demands, which were compared with the aforementioned 
limit displacements. The main drawbacks of this fragility assessment are the exclusion of the second order 
effects in the mechanics-based bilinear pushover curves, which in this type of structures can affect 
considerably the overall behaviour, and the lack of modelling of the connection behaviour.  
 
For what concerns nonlinear dynamic analysis, in general the two most common disadvantages to its use in 
fragility assessment are the increased computational effort and the difficulty in readily guaranteeing 
numerical convergence. However, such issues were not a main concern within this study as the structures 
under investigation are relatively simple (single-storey bare frames), which thus allowed the employment of 
a large number of nonlinear dynamic analyses and a more accurate representation of the real phenomenon.  
Hundreds of structures were produced through Monte Carlo simulation to represent the “as built” in Italy and 
subjected to seventy ground motion records using nonlinear dynamic analysis. The geometric properties of 
the structures generated were randomly sampled from probabilistic distributions obtained from 650 field 
surveys, while the material property distributions were found in the literature and established using expert 
opinion, when such data were not available. The building stock was classified into a number of typologies 
according to geometric configuration and the original seismic design, both of which are correlated with the 
construction age. This methodology was implemented by modelling the structures in both 2D and 3D 
frameworks. A pushover analysis was also performed for each frame and a set of limit states were estimated 
according both to strain levels and maximum top drifts. The capacity of the connections was calculated and 
connection failure was accounted for as a collapse limit state, estimated with both static and dynamic 
methods. 
 

2 FRAGILITY CURVE METHODOLOGY 
An overview of the analytical methodology for the derivation of the fragility curves is shown in Figure 2.1. 
The analytical methodology can be summarised in the following steps: 

1. Generation of precast RC structures: The characteristics of this type of structure were analysed 
according to building typologies with homogeneous attributes. For each typology, a probability 
density function for each geometric and material parameter was defined. 

2. Design, numerical modelling and damage analyses: The randomly sampled single structures were 
designed according to the admissible tension method and the provisions of the code in place at the 
time of construction (either pre- or post-1996). The classification of the building stock and the 
design procedure outlined by Bolognini et al. [4] was adopted. Each generated structure was 
modelled and subjected to nonlinear static and dynamic analyses using the software OpenSEES [1]. 
The pushover analysis served the purpose of defining a capacity curve, and the associated limit states 
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(LSs) for three levels of damage. Due to the particular static scheme and the structural deficiencies 
affecting the nonlinear behaviour of precast RC buildings, both sectional and global parameters were 
used for the limit state definition. The steel yielding strain characterises the first limit state and the 
maximum top drift defines the collapse limit state, unless connection failure happens first. A 
dynamic analysis was performed using a suite of selected accelerograms and the maximum response 
of each structure in terms of maximum top drift was extracted. These results (displacement demand) 
were compared with the limit states (displacement capacity), in order to allocate each structure into a 
damage state.  

3. Fragility curves derivation: The distribution of buildings in each damage state was stored in a 
damage probability matrix (DPM), and related to the corresponding Intensity Measure Level (IML) 
for each ground motion record (described further in Section 2.3). The DPM was used to derive the 
statistical parameters of each fragility function. This regression analysis was carried out using the 
maximum likelihood method. 

2.1 Generation of the building stock 
A Matlab [2] script was developed to incorporate the different steps of the analysis presented in Figure 2.1 
into an automated process. 

Classification of Italian industrial precast buildings 

The definition of the typologies representative of the “as built” in Italy was based on the combination of 
different factors: the year of construction and thus the seismic design code to which they should conform to, 
and the geometric configuration. A period corresponding to the last 50-60 years was considered and the 
building stock subdivided between pre-code and low-code design, for the structures that date back to before 
and after 1996, respectively. In fact the first (unsatisfactory) attempts to include provisions for the design of 
reinforced concrete precast structures in seismic zones were carried out in 1987 and 1996, but an appropriate 
design code including a specific chapter on precast structures was introduced only in 2003 (OPCM 3274 
[6]). The very limited number of precast buildings in Italy designed in accordance with the latter regulation 
meant that it was not worth considering a post-code typology with modern seismic design in the adopted 
classification. Moreover, the little knowledge of the real design criteria applied in the absence of code 
provisions in the decades before the ‘70s, combined with the relatively scarce design documentation, results 
in a large uncertainty in the evaluation of the capacity of RC precast structures built in that period.  
 
Two main categories were selected to represent the most common geometric configurations of the Italian 
precast industrial building stock, as described in Table 2.1. This classification was developed based on 
information from the available Italian literature, from precast elements producers, and designs reported in 
Calvi et al. [7, 8], and from the direct survey of 650 warehouses located in Tuscany, Emilia Romagna and 
Piedmont regions, built between 1960 and 2010. Part of the survey data were provided by the Seismic Risk 
Prevention Area of Tuscany Region [3], which conducted a campaign for risk and hazard assessment of 
industrial areas, which is fully described in Ferrini et al. [9]. Additional information was collected by field 
teams from the European Centre for Training and Research in Earthquake Engineering [4]. The results of the 
investigations were used to derive the statistical distributions of the geometric properties for each building 
typology. Some information required for this study (e.g. material properties and design loads) could not be 
extracted from the surveys, and was instead obtained from the literature, or estimated through expert opinion.  
 
The first typology, more traditional and frequently used, consists of a series of one-storey basic portal 
frames. Each portal is comprised of two or more columns fixed at the base and a saddle roof beam, usually 
simply supported by the columns or with shear resistant connections. The second common typology consists 



 
 
 
 

 
 
 
 

5 

of one-storey frames linked by perpendicular straight beams, which carry the main roof beams or directly 
support the large span slab elements. Table 2.1 describes the classification of the building stock according to 
the structural configuration and the design lateral load. 
 

 
Figure 2.1 Flowchart of the proposed analytical method to derive fragility curves 
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Table 2.1 Classification of the building typologies used in this study. 

Structural configuration Code level Design lateral load* Id code 
Type 1 

 

Pre-code 2% T1-PC-2 

Low-code 4% T1-LC-4 

7% T1-LC-7 

10% T1-LC-10 

Type 2 

 

Pre-code 2% T2-PC-2 

Low-code 4% T2-LC-4 

7% T2-LC-7 

10% T2-LC-10 

* as a percentage of the weight of the structures 
 

Statistical characterization of the material and geometric parameters 

The concrete and steel characteristic compressive and tensile strengths were sampled according to the 
construction age. The material properties indicated by the reference codes (DM 3-03-1975 [10], DM 16-01-
1996 [11]) were used to design each structure. For the design of the low-code typologies a random choice 
between the steel characteristic yielding value of 380 MPa and 440 MPa was performed, which corresponds 
to the values indicated by the DM 16-01-1996 [11] regulation for FeB38 and FeB44 ribbed steel bars, 
respectively. The same approach was adopted for the concrete cubic characteristic strength, with randomly 
selected values of 45, 50 or 55 MPa (each with the same probability of occurrence). For the pre-code 
typologies, values between 320 MPa and 380 MPa were randomly chosen for steel tensile strength, 
according to the DM 3-03-1975 [10] guidelines, the former referring to FeB32 smooth bars and the latter to 
the FeB38 ribbed bars. Regarding the concrete compressive strength for this typology, 35, 40, 45 or 50 MPa 
was randomly chosen from a uniform distribution. Both smooth and ribbed steel bars were considered in the 
pre-code classification because of the progressive increase in the use of ribbed bars, passing from 5% in 
1950 to 80% in 1980 (Verderame et al. [12]).  
 
In order to consider the difference between the actual characteristic compressive and tensile strength of the 
materials to be used in the modelling and the design values indicated in the codes, the results obtained by 
Verderame et al. [12] from an experimental campaign on the actual mechanical properties of materials were 
adopted. Unfortunately, this study provides information only on smooth steel bars, hence overstrength 
coefficients to the design values of those materials for which statistical studies were not available were 
applied. Therefore, a normal distribution with a mean of 356 MPa and standard deviation of 67.8 MPa was 
assumed for the steel yielding strength of smooth bars (Verderame et al., [12]), while the yielding strength of 
ribbed bars and the characteristic strength of concrete were respectively multiplied by the overstrength 
coefficients γs (mean value of 1.15 and coefficient of variation equal to 7.5%) and γc (mean value of 1.3 and 
coefficient of variation equal to 15%), following the suggestions of Bolognini et al. [4]. It is noted that for 
the modelling, the overstrength coefficients were not applied to the same design values adopted in the 
design, but to new randomly sampled design values. In fact, the characteristic strengths used in the design 
are generally unknown when trying to assess the capacity of an existing building; the new sampling thus 
takes into account the possible mismatch between the design and the modelling values, which is another 
source of uncertainty. 
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Table 2.2 summarises concrete and steel characteristic strengths (Rck and fsk) used for the design and Table 
2.3 provides the values used in the modelling. Table 2.4 reports the loads applied in the simulated design: the 
self-weight of the roof GR and the beam GB are a function of the length that the roof elements and the beams 
need to cover, Lintercol and Lbeam, respectively. 
 

Table 2.2 Material properties randomly sampled for the simulated design of the building stock.  

 Pre-code (all cases) Low-code (all cases) 

Rck [MPa] 35, 40, 45, 50 45, 50, 55 

fsk [MPa] 320, 380 380, 440 

 

Table 2.3 Material properties randomly sampled to model the building stock.  

 Pre-code (all cases) Low-code (all cases) 

Rck [MPa] 35, 40, 45, 50 multiplied by γc 45, 50, 55 multiplied by γc 

 Smooth  Ribbed Ribbed 

fsk [MPa] µ = 356 σ = 67.8 380 multiplied by γs 380, 440 multiplied by γs 

 

Table 2.4 Load cases randomly sampled as a function of the type of structures and the dimensions of the 
members. GR is the roof weight, GLB the lateral beam weight, GB the beam self-weight, Q1 and Q2 the 
accidental and snow weight, respectively. 

Load Type  Type 1 Type 2 

GR [kN/m2] 
Lintercol < 20 m 

2.4  
2.9  

Lintercol > 20 m 1.6  

GLB [kN/m]  2.4  

GB [kN/m] 

Lbeam < 16 m 3.6 4 

16 < Lbeam < 22 m 5.2 6 

22 < Lbeam < 24 m 6.85 7.5 

24 < Lbeam < 28 m 7.5 8 

Lbeam > 28 m 8.55 9.5 

Q1 [kN/m2] normal distribution µ = 2; σ = 0.4; min = 0.8; max = 3.2 

Q2 [kN/m2] normal distribution µ = 2; σ = 0.4; min = 0.8; max = 3.2 

 
Several probabilistic distributions (normal, lognormal, gamma) were considered for the characterisation of 
the geometric properties of precast structures. The maximum likelihood approach was adopted to select the 
probabilistic model that provided the best fit and the chi-square test was employed to evaluate the goodness-
of-fit for a set of significance levels (1%, 5% and 10%), as described in Bal et al. [13]. For the cases for 
which the probability distributions showed a poor fit with the field data, a decision was made to use expert 
opinion to determine an adequate probabilistic model. All the parameters are described in Table 2.5, noting 
that minimum and maximum truncating values were defined by expert opinion, with a view to avoid 
unrealistic parameters. 
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Table 2.5 Geometric dimensions randomly sampled for the generation of the building stock. θ and σ are the 
median and dispersion, describing beam length (Lbeam), distance between portals (Lintercol) and column 

height (Hcol). 

Structural 
Configuration  Distribution 

θ  σ  min max χ2 test Source 

Type 1 Lbeam [m] Lognormal 14.9 0.3 8 30 10% Tuscany database 

 Lintercol [m] Lognormal 9 1 8 10 not passed expert opinion 

 Hcol [m] Lognormal 6.5 0.25 4 12 not passed Tuscany database 

Type 2 Lbeam [m] Normal 8.7 2.1 8 10 not passed Tuscany database 

 Lintercol [m] Normal 16.5 3.7 10 25 not passed Tuscany database 

 Hcol [m] Normal 6.5 1.3 4 11 10% Tuscany database 

2.2 Design, numerical modelling and damage analyses 

2.2.1 Design 

The structures were designed in compliance with the pre-code and low-code classification, as previously 
noted. The DM 3-03-1975 [10] is the main reference for the pre-code typologies, and the DM 16-01-1996 
[11] for the low-code design. In both cases the allowable tension method was employed, which consists in 
the comparison of the maximum values of stresses in the concrete and steel bars with those of the allowable 
ones. According to this design philosophy, the dimensions of a given member and the amount of steel 
reinforcement should increase until the stresses are lower than the limits of the materials. The seismic action 
is applied as static horizontal loads, corresponding to a fraction of the total weight of the building. This 
percentage is very low for the pre-code design (2%), whilst in the low-code it is a function of the seismic 
region where the structure is located (4%, 7% and 10% for seismic zones III, II and I, respectively). 
Moreover, in the low-code designed structures, second order (P-Delta) effects are taken into account, as well 
as the shear demand. These differences between the pre-code and low-code design are summarised in Table 
2.6, while the full design methodology is presented in Casotto [14]. 
 

Table 2.6 Summary of the pre-code and low-code design methods and requirements 

 Pre-code Low-code 

Seismic Action 
Static Analysis 

Horizontal force 2% of the total 
weight 

Static Analysis 

Horizontal force for three classes S=6, 9, 12 

P-Delta effects considered 

Design Method 

Admissible tension 

Flexure and Compression for small 
eccentricity 

Standard shear reinforcement 

Admissible tension 

Flexure and Compression for big eccentricity 
(computation of the neutral axis position) 

Design of the shear reinforcement 

 Verification of the displacements 

Connections Friction connection Connections with standard steel elements 

 
The type of connection considered in this study consists of a simple corbel supporting the roof beams. 
Further details about the design of the connections can be found in EOTA [15]. Connections relying on 
friction are allowed in the pre-code design, but not in the low-code, as stated in the DM 03-12-1987 [16] 
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regulations. Thus, in pre-code buildings the capacity of the connections was calculated simply as the friction 
resistance. The friction coefficient depends on the type of interface that supports the beam (concrete, rubber 
pads or steel plates). The definition of this parameter is a controversial matter, as in the literature it is found 
to vary between 0.6 and 0.9, whilst in some experimental campaigns lower values between 0.1 and 0.5 have 
been observed (Magliulo et al., [17]). Due to this uncertainty, a decision was made to adopt two fixed values 
of 0.2 and 0.3, the former close to the lower bound and the latter the mean of the range found in Magliulo et 
al. [17], and to estimate the effect of this parameter on the final fragility curves. The load variation due to the 
vertical acceleration was considered differently in the 2D and the 3D modelling frameworks, as will be 
explained in Section 2.2.3. For low-code structures, steel bolts or bars (so-called dowel connections) can be 
used to reinforce the connection. The resistance of the steel-concrete interaction is assumed to be the 
smallest between the shear resistance of the steel and that of the concrete. 

2.2.2 Numerical modelling 

The randomly generated structures were modelled in both a 2D and 3D environment using the software 
OpenSEES [1], considering both the geometric and material nonlinearities. In the 2D framework the 
structure was represented by the external frame in the direction longitudinal to the main beams, because it is 
the frame with less axial load and thus more sensitive to connection failure. The concrete nonlinear 
behaviour was modelled using the proposal by Kent-Park and modified by Scott et al. [18], whilst the steel 
was simulated using the Menegotto and Pinto [19] model. The numerical model included material 
inelasticity in a distributed fashion, using force-based fibre finite elements for the columns, with a mesh of 
220 fibres and 4 integration points.  
 
Since the beams are pre-stressed precast members designed to remain elastic under the gravity loads, and the 
hinge connections do not allow the additional moments in the columns produced by the seismic action to be 
transmitted to the beams, for the sake of simplicity it was decided to represent them with elastic elements. To 
ensure that no moments are transmitted to the beams, link elements with no flexural stiffness were 
introduced at the top of the columns. 

2.2.3 Damage analyses 

As mentioned before, two types of analysis were conducted: nonlinear static and nonlinear dynamic analysis. 
The former was undertaken to establish a set of limit states (levels of capacity) and the latter to simulate the 
seismic event and capture how the building responds to different levels of ground motion intensity in terms 
of internal forces and displacements (which are then compared with the aforementioned limit states). The 
analyses were repeated for the various typologies of precast industrial buildings, for the three levels of 
design lateral load (4%, 7% and 10% of the total weight) in the low-code design case, and for one level of 
design lateral load in the pre-code design case (2% of the total weight).  
 
The overall process is summarised in Figure 2.2: the top images represent the pushover analysis of a single 
2D frame, with the definition of the two limit states; the middle images present a single frame being tested 
against the suite of accelerograms through dynamic analysis, and the resulting maximum response 
overlapped with the pushover curves previously computed. The bottom images represent the repetition of the 
previous two steps for all the frames that constitute the randomly generated building stock. 
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Figure 2.2 Scheme of the analysis process, pushover analysis of a single building generating a pushover curve 
with limit states (top), dynamic analysis of a single building for multiple records (middle), dynamic 

analysis of the building stock for multiple records (bottom) 

 

Pushover analysis and damage states definition 

A pushover curve was computed to estimate a set of limit state global drifts. There are many criteria that can 
be employed for the limit state definition according to the level of complexity of the models and of the 
analyses. Crowley et al. [20] considered damage limit states based on the strain levels in the concrete and 
steel, whilst other authors (e.g. Erberik [21]; Akkar et al. [22]) defined these thresholds using inter-storey 
drifts. Three damage states are applicable in this specific case: none/slight damage, moderate/extensive 
damage and collapse. 
 
The member flexural strength, which characterises the first limit state (LS1), is attained when the 
reinforcement steel in the columns first yields. The ultimate strain limits of concrete εc=0.005 and steel 
εs=0.015 proposed by Crowley et al. [20] cannot be used to characterize the collapse limit state in this study, 
as they lead to excessive levels of top displacement. Furthermore, inter-storey drifts frequently suggested in 
the literature for damage criteria of RC structures are also inadequate, as traditional RC structures with 
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monolithic connections feature a very different response with respect to RC precast buildings with hinged 
beam-column joints. The main reason for this difference is the combination of slenderness and low 
transverse reinforcement ratio in the latter. In Deyanova et al. [23] different methodologies for defining the 
ultimate rotation of precast columns typical of the Italian constructions have been compared. These methods 
include the so-called “DDBD” method that follows the recommendations for yielding curvature, ultimate 
curvature and plastic hinge length by Priestley et al. [24]. Another approach was based on Cumbia, a 
moment-curvature software developed by the same authors, which calculates the displacement at expected 
buckling. A fibre-element based approach was also adopted and section analysis with the finite element 
software SeismoStruct [5] was performed. The ultimate drift of the columns was also evaluated following the 
approach by Haselton [25]; Fischinger et al. [26] found that this method best matched the experimental 
results amongst all those they investigated. The Haselton approach, however, yields unrealistic results for the 
Italian precast columns due to the very low transverse reinforcement ratio (ρsh=0.04%) compared to that of 
the structure tested by Fischinger et al. [26], where ρsh=0.86%. As far as the ultimate displacement was 
concerned, all the methods used by Deyanova et al. [23] gave a wide range of results. It is clear that more 
investigation is needed in this field and in the meantime the flexural collapse limit state (LS2) has been set to 
3% inter-storey drift, as experimentally verified by Brunesi et al. [27]. 
 
Failure due to shear was not considered in the present study because it has not been observed in any of the 
precast industrial structures investigated after Emilia-Romagna events (Deyanova et al. [23]). The reasons 
why flexural collapse was predominant include the large column sections, designed for instability and 
buckling, and the slenderness of the columns, due to the large inter-storey height. 
 
The collapse limit state is related also with the loss of support of the beam. The connection collapse is 
evaluated differently in the 2D and 3D framework, and with two different approaches in the 2D framework. 
The two approaches in the 2D environment differ in the way the friction capacity is calculated and in the 
consideration of sliding of the beam on the column support. In the first approach, connection collapse is 
identified when the shear demand in at least one column exceeds the connection capacity; the capacity of the 
connection is computed assuming a constant force, proportional to 40% of the axial load (as applied in 
Bolognini et al. [4]). In the second method this capacity is dependent on the vertical component of the 
ground motion records and collapse is identified only when the sliding displacement of the beam exceeds its 
support length and unseating occurs. Sliding has been accounted for with Newmark sliding block analysis 
(Figure 2.3), adopted from Kramer [28]: the sliding displacement is computed as the double integration of 
the acceleration at the connection node exceeding the yield acceleration benchmark (shaded grey area shown 
in Figure 2.3), which is the acceleration corresponding to the connection resistance force. 
 



 
 
 
 

 
 
 
 

12 

 

Figure 2.3 Newmark sliding block analysis for the evaluation of sliding displacement 

 
The yield acceleration benchmark ay is computed as in the following equation: 
 

a! =   
V!""
m

 

where m is the inertial mass at the connection location and Vcnn is the shear capacity of the connection, a 
function of the friction coefficient and the axial load N. If N is not considered constant but varying with the 
vertical acceleration, the yield acceleration ay will not be a horizontal line as in the figure above, but it will 
also vary in time. The support length is computed as half of the corbel length, to consider the worst case 
scenario where the columns oscillate out of phase.  
 
Figure 2.4 shows the limit states evaluated on the pushover curve including connection collapse limit state 
computed with the constant connection resistance. For this particular case, collapse due to connection failure 
is reached before the other two limit states. 
 

 
Figure 2.4 Pushover curve and limit states for a structure representative of T1-PC-2 typology 

 
The 3D modelling framework introduces an additional source of complexity in the pushover analysis 
regarding the direction in which the pushover should be performed to define the limit states. Given the 
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simplicity of this type of structure (i.e. single-storey buildings) a 3D displacement-based pushover was 
applied, wherein the increments in each direction were proportional to the stiffness in the corresponding 
direction, in order to approximate the progressive deformation of the structure subjected to a horizontal 
seismic force in the 3D space. Two other pushover analyses were performed loading the structure in the two 
directions separately, checking whether the x and y components of the limit states evaluated on the 3D bi-
directional pushover curve exceed the limit states obtained when loading only in one direction. In this case, 
the damage induced by a mainly x- or y-oriented seismic excitation could be underestimated, and for this 
reason, after the dynamic analysis, the uni-directional limit states are used for the comparison with the x and 
y maximum displacements, whilst the limit states derived with the bi-directional pushover curve are 
compared with the modulus of the displacement vector. The structure is finally allocated to the maximum 
damage state resulting from the three aforementioned comparisons. The limit states were defined on each 
pushover curve, using the same criteria described for the 2D framework. Connection failure, which leads to 
sudden collapse of the structure, was considered to occur when the sliding displacement is exceeded in at 
least one direction, considering the two directions separately. The test in each direction is carried out in the 
same way as in the 2D approach with vertical acceleration. 

Dynamic analysis and seismic input 

To the previously described structural model the following additions were made for the dynamic analyses: 
the masses were lumped at the joints and a tangent stiffness proportional damping model was used with a 
damping ratio of 2%. Two types of dynamic analyses were performed on the 2D frames; considering only 
one horizontal input or applying both the horizontal and the vertical accelerations, thus allowing the 
calculation of the connection capacity as a function of the vertical excitation. The maximum response of the 
structure, expressed in terms of maximum top drift, was compared with the drift limits defined with the 
pushover analysis to allocate each frame into a damage state. In the 3D environment the structures were 
subjected to accelerograms in the three directions and the maximum top displacements in x and y and the 
modulus of the displacement vector were compared with the three sets of limit states derived with the uni-
directional and the bi-directional pushover curves respectively, as previously described. The contributions in 
terms of damage state per level of ground motion intensity, obtained from all the samples subjected to all the 
records, were summed up and normalised with respect to the total number of buildings to compute the 
Damage Probability Matrix (DPM). This matrix contains the percentage of frames in each damage state for a 
set of intensity measure levels representing each ground motion record. 
 
The use of real accelerograms for defining the input to dynamic analyses was adopted (as opposed to 
employing synthetic or artificial records, in which the scaling process might lead to unrealistic properties in 
the ground motion records, such as frequency content and/or duration). Stewart et al. [29] and Bommer and 
Acevedo [30] considered magnitude (M) and distance (R) as important parameters for the earthquake record 
selection, complemented by the soil profile (S) at the site of interest, leading to (M, R, S) record sets. The 
region of interest is Northern Italy, with particular focus on the region of Emilia-Romagna, where the ranges 
of these parameters contributing to the 475 years return period hazard for Sa(T=1.5 sec) are Mw from 4 to 
6.5 and R from 0 to 20 km, whilst those contributing to the 2475 years return period are Mw from 4.5 to 6.5 
and R from 0 to 30 km (Iervolino et al. [31]). The soil in this area is classified by Borzi and Di Capua [32] as 
soft, according to the EC8 soil classes, or as category C and D, following the Italian code classification 
(NTC2008 [33]). Seventy accelerograms in the three directions (leading to 210 records) were extracted from 
the PEER database [6]. A low scaling factor of approximately 1.5 was applied to 13 of the ground motion 
records in order to simulate stronger intensity measure levels, which is an acceptable factor according to 
Watson-Lamprey and Abrahamson [34]. Moreover, records with directivity or pulse effects were avoided. 
The histograms of PGA and Sa(T=1.5 sec) are presented in Figure 2.5. 
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Figure 2.5 Histograms of PGA (left) and Sa(T=1.5 sec) (right) of the selected horizontal ground motion records. 

 

2.3 Fragility curve derivation 
The results from the nonlinear dynamic analyses were assembled in the Damage Probability Matrix, which 
contained the fractions of sampled structures in each damage state, for a set of increasing intensity measure 
levels. Then, the cumulative fraction of structures in each damage state was estimated, by summing the 
percentages of frames belonging to all the subsequent damage states. A lognormal cumulative distribution 
function, expressing the probability of exceeding each damage state in a continuous fashion, was then fit to 
these results. The regression analysis was carried out using the maximum likelihood method. 
 
In the 2D approach, that hypothesizes a 40% axial load reduction to account for vertical acceleration, a 
simplified methodology was employed to include the Probability of Exceedance (PoE) of connection failure. 
This probability was computed separately and then added to the PoE of flexural failure to obtain the total 
PoE of the ultimate limit state. In fact, the discrete probabilities for increasing intensity of the ground motion 
were very scattered and the dispersion was high when trying to fit them with a unique continuous function. 
The dispersion decreased considerably considering the two conditional probabilities separately, because they 
are able to describe the two trends visible in the collapse fragility curves (Figure 2.6): a first trend when the 
demand is not enough to attain flexural capacity and collapse is due only to connection failure, and a second 
trend when flexural failure starts contributing to collapse, while connection failure is limited by the 
maximum percentage of frames featuring the connection collapse mechanism. The total PoE of collapse is 
the sum of the two conditional probabilities: the probability of attaining connection collapse, P(CConnection), 
conditional on the probability of presenting connection failure mechanism, P(Connection mechanism), and 
the probability of reaching flexural failure, P(CFlexure), conditional on the probability of having flexural 
failure mechanism, (1-P(Connection mechanism)). The relation to estimate the total probability of exceeding 
collapse (PoEC) is thus expressed in the following equation:  
 

PoEC = P(CConnection)P(Connection mechanism) + P(CFlexure)(1-P(Connection mechanism)) 
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Figure 2.6 Total probability of exceedance for the collapse limit state as the sum of the two conditional 

probabilities of flexural collapse and connection collapse, T1-PC-2 with 0.2 (left) and 0.3 (right) 
friction coefficient. 

 
The results of this simplified method are analysed in Figure 2.7, comparing the collapse fragility curves that 
comprise both failure mechanisms (flexure and collapse) with those that consider only flexural collapse, and 
with the yielding fragility curve. The comparison shows that connection collapse plays an important role in 
the total collapse curve, but also that for the typology in the plots it is more likely to occur than yielding, as 
similarly shown in Figure 2.4. This outcome reveals that the criteria used to assess connection failure 
(reducing by 40% the axial load and neglecting the unseating displacement of the beam) were too 
conservative, leading to unreliable results. The method was therefore discarded in favour of the other two 
approaches, where the beam-column joint collapse is assessed in a more accurate way. Moreover in the 
second approach implemented within the 2D framework and in the one applied within the 3D framework, a 
unique regression analysis was performed with the data comprising both flexural and connection failure, 
without the need to compute the PoE of connection and flexural collapse separately. 
 

  
Figure 2.7 Comparison between the total collapse fragility curve and the flexural collapse and yielding fragility 

curves, T1-PC-2 with 0.2 (left) and 0.3 (right) friction coefficient. 

 
A key point in the derivation of fragility curves is the selection of the intensity measure (IM) that adequately 
correlates with damage. Various intensity measures were considered and compared, using the R2 coefficient 
to quantify the correlation between the intensity levels and the cumulative percentage of frames for each 
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limit state. The peak ground acceleration (PGA) is a very common measure in vulnerability studies, as 
Crowley et al. [35] showed when collecting more than four hundred fragility curves. This parameter is also 
easily extracted from ground motion records; however, for structures with long fundamental periods of 
vibration, this IM leads to very large dispersion in the results (see Figure 2.8).  
 

 
R²LS1 = 0.39  R²LS2 = 0.38 

Figure 2.8 Fragility curves using PGA and correlation coefficients R² for typology T1-PC-2  

 
The employment of a spectral quantity, such as spectral acceleration (Sa), introduces the problem of selecting 
the period for which the spectral ordinate is computed. In fact, the selected period is of great importance for 
the reduction of the uncertainty in each limit state curve. The elastic period is a common choice, but it is not 
very representative of the dynamic properties of a structure, as even for low intensities the cracking of 
concrete elongates the period of vibration significantly. Silva et al. [36] investigated the influence of the 
period of vibration on the variability of the fragility curves, by computing the coefficient R2 for a set of 
elastic periods. The same correlation analysis was carried out for RC precast industrial buildings, as shown 
in Figure 2.9. The mean R2 curve (the mean between the first limit state and the second limit state R2 curves) 
is also presented and the optimal period (the periods corresponding to the maximum correlation for each 
limit state and for the mean curves) is indicated with a vertical line. The spectral acceleration at the mean 
optimal period of vibration Sa(Topt) increases the performance of the second limit state curve (which provides 
information about the damage state that has a larger influence on the losses) without substantially 
compromising the first limit state correlation. 

 
Figure 2.9 Correlation coefficient as a function of the period of vibration of Sa, for T1-PC-2 typology. 
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The main drawback of using Sa at the optimal period, as discussed by Vamvatsikos and Cornell [37], is that 
it does not correspond to the period of vibration of the structure at a certain condition of damage and it would 
be difficult to select a priori. The only way to estimate it robustly would be through a correlation analysis 
similar to that previously described, carried out for each typology, since a slight change in period could 
penalise the dispersion considerably. As an alternative, the power-law form with three spectral values (IMpw) 
proposed by Vamvatsikos and Cornell [37] was tested on the precast structures. The IMpw combines the Sa 
for different spectral periods selected a priori in the following way: 
 

IMpw  =  S!(τa)
S!(τb)
S!(τa)

β S!(τc)
S!(τa)

γ

 

where τa, τb   and   τ! are T1, 150% of T1 and 200% of T1 respectively, and T1 stands for the first period of 
vibration.  In the original proposal, the period of the first vibration mode (T1), was computed for the elastic 
period. However, during the various analyses within this study, it was observed that the yielding period 
provided a considerably better performance, and so it was used instead of the elastic period. The comparison 
between the IMs explored so far, shown in Figure 2.8 and Figure 2.10, reveals the good performance of 
spectral quantities with respect to PGA and the similar effect of Sa(Topt) and IMpw on the dispersion 
reduction. 
 

  
R²LS1 = 0.89  R²LS2 = 0.83 R²LS1 = 0.88  R²LS2 = 0.84 

Figure 2.10 Fragility curves for T1-PC-2 and corresponding correlation coefficients R² as a function of IM used: 
Sa(Topt) (left), IMpw (right). Only flexural collapse fragility curves are compared. 

 
Other IMs were tested, such as Arias Intensity and Cumulative Absolute Velocity, which considers the total 
energy stored during the seismic event, but showed to provide a weaker performance than the 
aforementioned IMs. Moreover, since the purpose of this study is to provide a set of fragility functions for 
earthquake loss assessment, Sa(Topt) was preferred to IMpw. In fact even if IMpw could be easily estimated 
from the Sa values directly provided by most of the ground motion prediction equations available in common 
seismic risk software, the cross correlation between the spectral ordinates combined in this parameter (see 
e.g. Baker and Jayaram [38]) would need to be estimated, which would significantly complicate the loss 
assessment methodology.  
 
For what concerns the 3D analyses, the structures evaluated herein were no longer dominated by a single 
vibration mode, but usually by two modes with similar modal contribution in each direction, as well as a 
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similar elastic period. It was decided to use the geometric mean between the two horizontal components and 
the period that provides the better correlation coefficient according to the correlation analysis previously 
described. The geometric mean is now the most widely used horizontal-component definition in ground 
motion prediction equations (Beyer and Bommer, [39]), which is essential for the application of the derived 
fragility curves in loss models. The geometric mean is defined as: 
 

Sa,GMxy(Topt)  =   Sa,  x(Topt)  Sa,  y(Topt)  

3 PROPOSED FRAGILITY FUNCTIONS 

3.1 Fragility curves 
The final fragility curves derived within the 2D and 3D framework that include vertical acceleration in the 
dynamic analyses and unseating of the beam are presented in this section. Results for the hypothesis of 40% 
axial load reduction to account for vertical acceleration were discarded, as explained in Section 2.3. An 
example of the fragility functions obtained within the 2D and 3D environments is presented in Figure 3.1, 
while the parameters for yielding and collapse fragility curves are reported in Table 3.1. It should be noted 
that a direct comparison between the fragility curves derived with these two approaches is not reliable; 
despite the same intensity measure type being displayed on the x axis, they correspond to different optimal 
periods (Topt) and the geometric mean between the spectral acceleration of the two horizontal components is 
used in the 3D analyses, whilst the spectral acceleration from a single direction is used in the 2D analyses. 
These functions would need to be applied within a complete loss assessment exercise in order to fully 
appreciate the difference between them.  
 

Table 3.1 Results from the 2D and 3D approaches considering the vertical acceleration. Median (θ) and 
logarithmic standard deviation (σ), and coefficient of correlation (R²) of each fragility function using 
friction coefficient of 0.2 and an intensity measure of Sa(Topt) in cm/s2. 

  2D  3D 

Typology  LS1 LS2  LS1 LS2 

 Topt θ  σ  RLS1
2 θ  σ  RLS2

2 Topt θ  σ  RLS1
2 θ  σ  RLS2

2 

T1-PC-2 0.8 216 0.59 0.84 376 0.55 0.86 2.3 44 0.56 0.94 128 0.26 0.93 

T1-LC-4 1.6 96 0.48 0.88 306 0.42 0.83 2.3 44 0.53 0.91 133 0.39 0.88 

T1-LC-7 0.8 276 0.46 0.88 609 0.56 0.81 1.4 112 0.41 0.93 277 0.55 0.66 

T1-LC-10 0.8 302 0.38 0.93 392 0.53 0.87 0.7 258 0.49 0.84 403 0.52 0.90 

T2-PC-2 1.7 79 0.51 0.89 166 0.54 0.74 2.2 38 0.52 0.91 125 0.23 0.91 

T2-LC-4 1.7 80 0.47 0.90 255 0.39 0.86 2.3 43 0.46 0.94 121 0.34 0.88 
T2-LC-7 0.8 240 0.46 0.88 554 0.45 0.80 1.4 99 0.37 0.96 235 0.47 0.64 

T2-LC-10 0.8 270 0.41 0.93 379 0.51 0.86 0.7 221 0.48 0.78 422 0.46 0.78 
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Figure 3.1 Probability of exceedance derived in a 2D framework (top) and in a 3D framework (bottom) 

considering the vertical acceleration component. T1-PC-2 yielding and flexural collapse fragility 
curves (left), flexural and connection collapse curves (right) for the two friction coefficients. 

 

3.2 Discussion  
It is clear from the comparison between collapse fragility curves with and without consideration of 
connection failure in Figure 3.1 that connection collapse is an important issue that cannot be neglected and 
has to be addressed carefully. Connection failure occurs only if the shear demand on the top of the column 
exceeds the shear capacity of the connection and the beam unseats from the column support. This is the case 
only if the column is able to carry and transmit a force equal to or larger than the connection resistance, 
according to the hierarchy of the capacities. This is the reason why connection collapse is much more 
frequent in structures with friction-based connections or in the frames with stiff columns designed for higher 
lateral forces. Moreover, the chosen method used to evaluate this particular failure mechanism can influence 
the results considerably.  
 
In the first methodology, connection failure is estimated based on constant column capacity and constant 
connection capacity (proportional to the initial axial load reduced by 40%). The base shear, when the 
connection capacity is reached in at least one column, is found on the pushover curve and defined as the 
connection collapse limit state, represented in Figure 3.2 by a horizontal dotted line. Connection collapse 
mechanism is thus evaluated at the beginning of the pushover analysis as the base shear at which the 
pushover curve of the structure exceeds the connection collapse limit state (Figure 3.2 left). This method 
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does not consider the possibility that the column capacity could be very close to the connection capacity 
(Figure 3.2 right) and it could easily exceed it during an acceleration time-history, where both the capacities 
vary with the vertical acceleration. Similarly it does not consider that the connection capacity could be 
exceeded, but the beam could still not be unseated because of its limited sliding displacement. The 
connection collapse is thus almost independent of the seismic input, because the connection limit state is set 
a-priori with the pushover analysis and it nearly corresponds to the yielding limit state, easily attained by 
weak ground motions. This is why for those typologies significantly affected by connection failure the 
collapse fragility curve can be even more fragile than the yielding curve (see Figure 2.7). The difference in 
the response between presenting and not presenting connection collapse limit state is drastic (in the former 
case failure can occur even before the building reaches yielding), and therefore it generates a large scatter in 
the fragility curves. Furthermore, when following this methodology the number of frames with connection 
collapse mechanism is very sensitive to the friction coefficient. Given the large uncertainty in the friction 
coefficient definition, the consequent impact on the fragility curves, and especially the excessive fragility of 
collapse curves with respect to yielding curves, as discussed previously, this method was considered 
unreliable and it was thus discarded. 
 

  
Figure 3.2 Connection collapse limit state definition: 2D with constant connection resistance method. Frame 

presenting connection collapse limit state (left) and frame not presenting connection collapse limit 
state (right). 

 
In the methods where the connection capacity is affected by the vertical component of the acceleration and 
the unseating of the beam is considered, the aforementioned issue is overcome by assessing connection 
collapse when the shear demand time-history crosses the connection resistance time history and the sliding 
displacement of the beam exceeds the support length (Figure 3.3). In this case, the friction coefficient seems 
to have a smaller impact, because the connection collapse mechanism is now sensitive to the vertical 
component of the ground motion record, and the transition between collapse fragility curves calculated using 
different levels of friction coefficient is smoother, as shown previously in Figure 3.1. 
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Figure 3.3 Connection collapse limit state definition: 2D environment with connection capacity based on the 

vertical acceleration component. 

3.3 Comparison with field data 
In order to have an initial consistency check on the reliability of the results obtained herein, a first 
comparison with data from a field survey of 1133 precast industrial buildings after the 2012 Emilia Romagna 
earthquakes has been performed. Empirical fragility curves were derived by Minghini et al. [40] in terms of 
the largest between the two horizontal components of Sa at 1 second, for three damage states: no damage 
(D0), slight damage/moderate damage (D1+D2), severe damage/heavy damage/collapse (D3+D4+D5). In the 
study by Minghini et al. [40] the surveyed buildings are not classified according to the age of construction or 
the geometric typology, therefore a single fragility function is available for the comparison.  
Given the features of the empirical curves the following modifications on the analytical method used were 
needed to harmonise the damage scales and the building typologies:  

• Collapse limit state (LS2), defined herein as flexural or connection failure, was considered 
equivalent to the onset of D3+D4+D5 in Minghini et al. [40] (though it is recognised that DS5 would 
have been a better damage state for comparison purposes, had the results for this damage state been 
available). 

• A single DPM was assembled summing up the number of buildings in each damage state resulting 
from the dynamic analysis run for the typologies considered appropriate for Emilia Romagna, the 
Italian region where the damaged data were taken from. Considering that the Emilia Romagna 
region was classified as seismic only in 2003, the pre-code typology (PC-2) and the low-code 
typology with the minimum design lateral load (LC-4) were thought to better represent the building 
population of the area. Both geometrical configurations were included with equal weight in the total 
DPM, given that the damage data do not contain this type of information. 

• A regression analysis was run on the total DPM obtained, using as intensity measure the largest 
value between the two horizontal components of Sa at 1 second. 

 
Figure 3.4 shows the resulting fragility function for a single typology using the 2D modelling environment, 
whose median is 0.56 g for LS2, while Figure 3.3 represents the discrete empirical fragility functions. It can 
be observed in Figure 3.5 that the value at 50% of the cumulative frequency of occurrence is 0.42 g; in the 
case of the highest damage state this value corresponds also to the median of the probability of exceedance. 
In order to evaluate this comparison it must be considered that the buildings damaged in the Emilia region 
were subjected to at least two strong earthquakes, and thus the final damage states observed in some 
structures might have been due to cumulative damage. Hence, the Minghini et al. [40] fragility functions 
might present lower median values than would be expected for these structures under a single event. 
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Furthermore, the DS3+DS4+DS5 damage state from Minghini et al. [40] includes structures that have not 
collapsed, and so again this data is expected to produce lower median values than would be expected for 
collapsed buildings alone. Hence, it is reassuring that the median fragility functions presented herein produce 
higher median values compared to the observed damage data, but further conclusions cannot be drawn given 
the large number of approximations in the comparison. 
 

 

 
Figure 3.4 Analytical fragility function for a single typology using the 3D modelling environment. 

 

 
Figure 3.5 Empirical cumulative frequency of occurrence vs Sa(T=1sec) [Minghini et al. [40]]. 

 

4 CONCLUSIONS  
The aim of this study was to develop a robust methodology to derive fragility curves for precast RC 
industrial buildings. A large portion of the RC industrial buildings were designed essentially for static 
horizontal loads and with simply supported beam-column joints, and could thus be particularly vulnerable to 
the dynamic input from earthquakes. In the current literature there seems to be limited experience in the 
fragility assessment of such structures, and for this reason it is important to investigate how inevitably 
necessary simplifications in structural modelling and fragility methodology, commonly applied to regular 
cast-in-place buildings, may or may not influence the fragility assessment of these precast buildings. 
 
A set of fragility curves has thus been developed, considering the main characteristics of these structures: the 
weak beam-column connections, which is the principal cause of total collapse of the building due to loss of 
support of the beams, even for moderate earthquakes. The variability in the fragility curves with respect to 
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the simplifications in modelling and type of analysis was studied, through the application of a nonlinear 
dynamic procedure in three different manners: in a 2D environment where the frames were tested against 
horizontal accelerograms only in their main direction and the influence of the vertical acceleration was 
simulated by reducing the axial load by 40% (Bolognini et al. [4]); in a 2D environment considering the 
vertical input of the ground motion records; and finally in a 3D environment where all the three components 
of the earthquake records were considered. Connection failure was explicitly accounted as a collapse limit 
state.  
 
The comparison between collapse fragility curves with and without consideration of connection failure 
demonstrated the importance of considering connection collapse mechanism and representing it robustly. In 
fact, the outcomes of the 2D analysis without vertical acceleration highlighted some drawbacks regarding the 
connection failure determination. This approximate method rendered the collapse fragility curves more 
sensitive to the friction coefficient used to compute the connection capacity rather than to the ground motion 
intensity. Given the large uncertainty in the definition of the friction coefficient and the drastic changes in 
the fragility curves corresponding to small variations of this parameter, this method was discarded. When 
applying a vertical acceleration in the dynamic analyses both in the 2D and 3D framework, the transition 
between different levels of friction coefficient was much smoother. In order to be conservative, the final 
fragility curves were computed using a friction coefficient of 0.2, but it is underlined that this parameter 
requires further research and calibration.  
 
A direct comparison between the 2D and 3D approaches with vertical acceleration is not straightforward, due 
to the discrepancies in the IMs and structural aspects considered within each approach. However, the results 
from this study seem to indicate that a higher fragility is obtained when considering the three components of 
the earthquake record. The actual differences between the 2D and 3D approaches can only be appreciated 
through the employment of the respective fragility functions in a case-study risk assessment application, 
which will be carried out as a further development of this work.  
 
A deeper understanding of the structural aspects involved in the fragility assessment of this specific type of 
structure has been reached herein. Particular attention has been paid to the connection collapse phenomenon, 
and the importance of the selection of the proper methodology to assess it accurately has been demonstrated. 
Finally, a preliminary comparison has been performed with damage data from field surveys of the 2012 
Emilia Romagna earthquakes and a good agreement between the analytical and empirical functions was 
observed despite the inevitable approximations in the harmonisation of the empirical and analytical data. 
 It can be concluded that a sound set of fragility functions for Italian industrial precast buildings is now 
available for earthquake loss assessment, which could be employed for the development of seismic risk 
mitigation actions. 
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